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Abstract

Many existing steel moment-resisting frames were constructed before the provisions of
modern seismic codes, therefore, they are likely to exhibit high vulnerability to earthquakes
due to their inadequate ductility design, hence low energy dissipation capacity. Public
concern has been raised about the development of a reliable code-based framework for
assessing existing structures, however, previous research has shown that the current
European code EC8-3 may not be sufficient and requires urgent improvements. Particular
attention should be paid to the contribution from infill walls in steel buildings, especially
those made of masonry, and beam-column connections, as they play a significant role in the
structural performance under earthquakes. To this end, an updated assessment procedure,
which is an extension of the current procedure in EC8-3 but with several improvements to the
non-linear analysis methods, is proposed in this paper and is applied to an existing steel
building as a case study. The building is a three-storey steel moment-resisting frame located
at Amatrice in Central Italy, which survived the recent 2016-2017 Central Italy earthquakes.
Refined 3D models of the case study building, which account for the effects of infill walls and
column panel zones, were implemented in a refined finite element platform. The effects of
masonry infills on structural components, such as beams and columns, were investigated
through non-linear analysis methods. The results emphasise the significance of including
masonry infills in the numerical model for seismic assessment especially when an optimised

retrofit solution is needed.
Keywords: standardised seismic assessment, existing steel frame, masonry infills, column

panel zones.
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1 Introduction

Numerous existing steel moment-resisting frames (MRFs) were constructed prior to the
provision of modern seismic design codes [1, 2, 3, 4, 5]. These steel MRFs have shown high
vulnerability to strong earthquakes due to lack of adequate seismic design and low energy
dissipation capacity as a result of inadequate ductile detailing [3]. The recent 2016-2017
Central Italy earthquakes have emphasised the vital importance of providing a reliable
framework to assess the seismic vulnerability of existing steel MRFs in order to avoid the
collapse of existing structures and to allow the design of efficient retrofitting solutions.
Several code-based procedures, such as the Eurocode 8-Part 3 (EC8-3) [6] and the American
guidance ASCE41-17 [7], which are representatives of the latest generation of codes for the
assessment of existing steel MRFs developed under the framework of Performance-Based

Earthquake Engineering [8, 9, 10].

Previous studies [3, 11, 12, 13] have performed assessment and evaluations on the current
provisions in EC8-3 and some issues have been raised with respect to the adequacy and
reliability of the European codified assessment procedure. Amongst others, Aratjo and
Castro [11] performed a comparative study of the European and American procedures and
highlighted some limitations in the current EC8-3, such as the lack of safety verification
criteria for linear analysis method and inconsistencies in seismic demands obtained from
different analysis methods. In addition, it has been pointed out that the compliance criteria for
assessing steel beams and columns reported in EC8-3 is found to be identical to the relevant
acceptance criteria in the old version American code ASCE41-06 [14], which have been
improved in its successors [7, 15]. Furthermore, the EC8-3 requires safety checks to be
carried out on every single element, which can be very time-consuming for large spatial

models, and the capacity for a certain limit state simply takes the onset of the first element
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that fails the limit state, which is on the safe side but will lead to higher cost for retrofit since

any possible redundancy of the structure is neglected [ 13].

A major issue in the code-based assessment procedure of existing buildings is related to the
numerical modelling of the case study building, particularly the modelling of non-structural
components. For the case of steel MRFs, the easiest and most common way is to build a
model of bare frame, with beam-column connections simplified as single nodes and storey
mass lumped at the centre of mass (CM) for spatial models. However, given the complex
behaviour of the interactions between structural and non-structural components [16, 17, 18],
models that neglected the effects of infills and column panel zones are therefore not adequate
for a holistic assessment of existing buildings. The presence of masonry infills will increase
the lateral strength and stiffness of steel MRFs but will also cause concentrated damage to
column ends due to its strut action [3, 53]. It is reported in [53] that for a seismically-
designed steel frame, the presence of infills may lead to more than 50% reduction in the
fundamental translational period, and the reduction can be even higher for shorter buildings.
Considering the fact that non-seismically-designed steel frames are more flexible than
modern buildings, the reduction in fundamental period is likely to be greater than 50%. The
importance of infills has been recognised by the European code [19], as in the g-factor
approach for design of new buildings, the value of q for infilled steel frames is half of that for
bare frames, i.e. 2 for infilled frames and 4 for bare frames [19]. However, there is still no
reflection in the EC8-3 for assessing existing buildings. To account for the presence of
masonry infills in the modelling of MRFs, an effective approach has been developed, which
makes use of a single strut in each diagonal direction to represent the infill wall panel [20, 21,
22, 41]. The struts normally have the same thickness as the infill walls and adopt an
equivalent width determined based on the properties of infills and the confining frame [22].

The single strut model is able to provide adequate efficiency and accuracy in the assessment



77

78

79

80

81

82

83

84

85

86

87

88

89

90

91

92

93

94

95

96

97

98

99

100

101

of structural response at the global level, despite some sacrifice of the local behaviour of the
structures. Apart from the contribution of infill walls, previous studies show that column
panel zones also play an important role in steel MRFs, especially when subjected to
combined gravity and horizontal loads [2, 23, 24]. In such cases, large unbalanced bending
moment may occur at beam-column connections, causing complicated stress distribution
within the column panel zone and affecting the seismic performance of steel MRFs. Some
analytical models of column panel zone have been developed, which utilise either a diagonal

spring [24] or a rotational spring [2] to capture the shear behaviour of panel zones.

The incorporation of modelling of infill walls and column panel zones can be challenging for
the current procedure in EC8-3 due to its limited applicability to assessing infilled steel
MRFs. This is illustrated mainly in two aspects. On one hand, the current EC8-3 lacks
acceptance criteria for evaluating infills and column panel zones, and the use of chord
rotation limits only is believed to be inadequate considering the contribution from infills and
panel zones. The American code has already recognised this inadequacy and provides
relevant criteria for masonry infills and column panel zones [7, 15]. On the other hand, the
method adopted in the non-linear static analysis (NSA) for estimating target displacements is
the conventional N2 method [25], which is not suitable in the case of assessing infilled steel
MREFs as the presence of infills may significantly affect the response of structures and lead to

a completely different capacity curve [26, 28].

Apart from the above mentioned challenges for the current EC8-3, some other issues are also
identified in literature, mainly related to non-linear dynamic analysis (NDA). For example,
the current earthquake record selection procedure in EC8 framework, which does not put any
restrictions on earthquake characteristic parameters, is believed to be rather simplified and
may lead to erroneous results in practical design and assessments [29, 30]. Also, the EC8-3

address the probability issue of seismic response in a deterministic way, however, it does not
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clearly state the variability of using different groups of earthquakes, and this ‘record-to-
record variability” requires further justification [31]. Furthermore, the current EC8-3 does not
provide specific guidance on how to evaluate the damage accumulation of structures under
earthquake sequences especially in the context of dynamic analysis where the influence of

aftershocks is often neglected [32, 33, 34].

2 Aims of the paper

The limitations of the current assessment framework in EC8-3 emphasise the necessity of
developing improved analysis methods for the seismic assessment of existing steel MRFs,
which are able to account for the effects of non-structural components. It is also important to
understand the effects of masonry infills on the behaviour of steel beams and columns such
that an optimised retrofit solution can be determined. This paper will be primarily aimed at
proposing a NSA procedure for assessing steel MRFs with infills and showing the feasibility
of its application on a case study building. The assessment will be carried out using the
proposed NSA approach implemented on 3D finite element (FE) models of the case study
building with and without masonry infills to estimate the seismic demands and to perform
safety verifications. The results will be compared to those obtained from code-based NDA
methods to assess the reliability of the proposed method. The effects of infill walls on the
overall structural performance of the case study steel MRF will also be examined during the

assessment procedure, in particular their effects on the beams and columns.
3 Assessment of steel buildings according to EC8-3

EC8-3 requires the performance of existing buildings to be checked at three limit states,
namely Damage Limitation (DL), Significant Damage (SD) and Near Collapse (NC) limit
state. The return periods ascribe to the three limit states are 225, 475 and 2475 years for DL,

SD and NC LS respectively, associated with probabilities of exceedance of 20, 10 and 2% in
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50 years. This is different from the checks for new buildings in Eurocode 8-Part 1 (EC8-1)
[19], which contains only two limit states as summarised in Table 1. By comparing with the
definition of limit states in EC8-1, it is found that the SD limit state in EC8-3 has the same
performance requirement as the ultimate limit state in EC8-1 in terms of their return period
and probability of exceedance, though the former represents an economically repairable
condition of existing buildings while the latter concerns about the overall safety of new
structures. The NC limit state, which is a superior limit state to the SD limit state in EC8-3,
requires little redundancy of damaged structures by definition and therefore is closer to the
real collapse of an existing building. The definition of NC limit state reveals the fundamental
difference between ECS8-1 and ECS8-3, where the former is aimed at design of modern
buildings and tends to require more redundancy to be at the safe side, while the latter focuses
more on the real condition of existing buildings in order to obtain optimised retrofit solutions.
Since this study is based on nonlinear methods, the linear procedure will not be introduced

and discussed hereafter.

EC8-3 EC8-1
DL SD NC DL Ultimate
Return
Period 225 475 2475 95 475
(years)
Pexceedance | 20% in 50 yrs | 10% in 50 yrs | 2% in 50 yrs | 10% in 10 yrs | 10% in 50 yrs

Table 1. Summary of return period and associated probability of exceedance of limit states
defined in EC8-3 and EC8-1.

Apart from the performance requirements, EC8-3 also defines three knowledge levels (KL) to
account for the potential lack of information of the geometry, detailing and materials of
existing buildings: limited knowledge (KL1), normal knowledge (KL2) and full knowledge
(KL3). The level of knowledge achieved determines the analysis methods that are allowed in

the assessment and the value of confidence factor (CF) that is used to reduce the mean value
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of material strength in the calculation of capacity. Linear analysis methods are allowed for all
three KLs while non-linear approaches are only allowed for KL2 and KL3. The proposed

values of CF are 1.35, 1.20 and 1.00 for KL 1, KL2 and KL3, respectively.

For estimating the seismic demands, EC8-3 allows both linear and non-linear analysis
methods to be utilised, however, the latter is more straightforward as the demands can be
directly obtained from the response of non-linear analysis methods. As it is well-known, the
assessment procedure proposed in EC8-3 is a displacement-based procedure and the seismic
demand is represented through the target displacement, which is normally the lateral
displacement of the control node. A common choice of the control node is the CM at the top
floor. NSA, also known as pushover analysis, is easier to be performed than the cumbersome
and time-consuming NDA, allowing pushover analysis the potential to become the principle
analysis method in EC8-3 [24, 51]. According to EC8-3, two conventional lateral load
patterns, namely a ‘uniform’ pattern and a ‘modal’ pattern, shall be applied in the two
horizontal principle directions when a spatial model is used. The implementation of pushover
analyses also requires two issues to be addressed, which are the effects of higher modes and
torsion. To account for the contribution from higher modes, EC8-3 recommends the use of an
updated version of pushover analysis, but it does not explicitly refer to a specific version of
updated pushover approach to be used, although there are several adaptive pushover methods
developed in literature [35, 36, 37]. Besides, when the storey mass is lumped at the CM of
each storey and the lateral loads are assigned only to the CM, pushover analysis may
underestimate the lateral drift due to the torsional effects caused by irregular floor plan or
elevation. Therefore, to account for the torsional effects, an amplification factor obtained
from elastic modal analysis shall be applied to the target displacement of control node in
order to obtain the displacements at other nodes. Finally, the seismic demands are determined

using the conventional version of N2 method, which turns the structures into an equivalent
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SDOF system and makes use of the target response spectrum in acceleration-displacement
form [24]. The implementation of NDA is more straightforward compared to the pushover
analysis. EC8-3 requires at least three ground motion records to be used, whose mean
response spectrum achieves compatibility with the target spectrum, i.e. the mean spectrum
should not be less than 90% of the target spectrum within the range [0.2T;, 2T ], where T; is
the fundamental period of the structure. If less than seven records are used, the maximum
response shall be taken as the demand; otherwise the demand shall take the average response
from all dynamic analyses. EC8-3 also requires that the two horizontal components of ground

motion records shall be applied simultaneously to the spatial model.

The final stage of assessing existing buildings is the safety verification. For ductile
components in SMRFs, the EC8-3 requires safety checks to be carried out by comparing the
rotation demand at the end of beams and columns with their associated rotational capacities.
The criteria are summarised in Table 2, on the condition that the dimensionless axial load v
of a member is not larger than 0.3, where the inelastic chord rotation capacities are simply a
multiple of the chord rotation at yielding ©,. However, despite that EC8-3 provides semi-
empirical equations for estimating yield rotation for RC structures, there is no guidance on
the calculation of yield rotation of steel beams and columns. There is no limit provided for
higher value of dimensionless axial load v, either. Apart from the chord rotation capacity
limit, other limits based on axial deformation capacity of braces are also proposed in EC8-3

but are generally not used in the case of SMRFs.

Limit state

Class of cross section DL SD NC

Class 1 1.00, | 6.00, |8.06,

Class 2 0256, | 2.06,(3.06,

Table 2. Plastic rotation capacity at the end of beams and columns proposed in EC8-3.
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193 4 Proposed methodology for assessing steel MRF's with masonry infills

194  To address the issues stated in the introductory sections, an improved NSA procedure
195  designed to assess steel MRFs with modelling of different components is proposed in this

196  paper, as introduced in Figure 1, which is based on the current procedure in EC8-3.
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198 Figure 1. The proposed non-linear static analysis method for assessing steel MRFs with
199 different components.
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As shown in Figure 1, Step 1 to 3 follows the existing procedure in EC8-3. It should be noted
that according to ECS8-3 non-linear assessment is only permitted when KL2 or KL3 is
achieved. Then at Step 4, at least the two conventional lateral load patterns should be applied,
i.e. the ‘modal’ and ‘uniform’ pattern, as mentioned the previous section. Meanwhile, it is
recommended that lateral loads should be applied to each node considering their assigned
masses and associated displacement shapes, particularly in the case of spatial mode with

irregular layout or elevation, in which cases the torsional effects are inherently accounted for.

Step 5 is to determine the target displacement for each limit state. A major difference here
from the EC8-3 is that a modified N2 method developed by Dolsek and Fajfar [27, 28] for
infilled frames is adopted in addition to the conventional N2 method for bare frames [25]. In
any other cases when neither of the two N2 methods is appropriate, a multi-linear idealisation
of capacity curves is proposed, whose effective elastic stiffness is determined following the
rule suggested in [10] that the elastic segment of the multi-linear curve intersects the capacity
curve at 60% of the idealised yield force and the total deformation energy should be

approximately the same.

Step 6 is the safety verification, which is the final stage of assessing existing buildings. At
this step, the proposed procedure involves additional criteria for assessing column panel
zones and masonry infills, as a supplement to the chord rotation criteria in EC8-3. Those
additional criteria follow the concept of displacement-based assessment, thus are all related to
deformation parameters of components. For example, the performance of masonry infills are
assessed based on lateral drift criteria, i.e. shear deformation under horizontal load, which are
modified based on the criteria in the American code ASCE41-17 [7] for infilled frames with
relatively low column shear strength, considering the performance requirements for different
limit states in EC8-3. The criteria for column panel zones are also an adaptation from the

American code [7], which are based on the shear distortion of column panel zones.
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5 Application of the methodology: a case study
5.1 Case study building

The selected case study building is a three-storey steel MRF located in Amatrice, Italy, which
was constructed decades ago, prior to the provision of modern seismic design code. The
building was reported to survive the 2016-2017 Amatrice earthquakes and a site investigation
of its damage condition was conducted in September, 2016 [3] after the first earthquake
sequence took place in Amatrice (See Figure 3). Damage was found to be concentrated on
lower floors of the building. Yielding was observed in columns, particularly at beam-column
connections and masonry infills were significantly damaged with observed failure of finishes,
but without out-of-plane collapse. The village is classified to be on type B ground in EC8 and
in the region that has a reference ground acceleration of 0.25g with 10% probabilities of
exceedance in 50 years, according to the seismic hazard zonation in Italy [50]. The design
ground acceleration a, is then taken as 0.20, 0.25 and 0.43g for DL, SD and NC limit state,

respectively.
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Figure 2. Schematic layout and side view of the case study steel frame (unit: m).
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‘Flgure 3. Surveyed damage of the case study 11d1ng after the 2016-2017 éarthquake
sequence (significant damage on infills and yielding at beam-column connections).

The building is trapezoidal in its plan, which is 6.6 and 8.5m in width and 22.5m in length.
The storey height is around 3.6m, adding up to a total height of 12.5m, which also includes a
1.8m-high roof floor. Figure 2 summarises the basic geometry of the case study building, and
Figure 3 contains some photos of the building showing the damage detected during
earthquake survey. In the rest of the paper, the longitudinal and transverse direction of the
building are denoted as X and Y direction, respectively. The cross-sections of external and
internal beams are HEA160 and HEA300, respectively, and all columns are HEA200. All the
cross-sections can be classified as Class 1 cross-section and the steel grade used in design is
S235 (f;=235MPa). The strong axis of columns is in the Y direction of the buildings and
beams are connected to columns through full penetration welding. Besides, the infill walls
contain two layers of perforated clay bricks with dimension 120x250x80mm, contributing to

a total thickness of 160mm. Based on the information collected, the knowledge level in this
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case is determined to be KL2 due to lack of tests of actual material properties onsite.
Consequently, both linear and non-linear analysis methods are allowed in this case and the

corresponding CF takes the value of 1.2 as suggested by EC8-3.
5.2 Structural modelling

A total of six three-dimensional FE model of the case study building, were developed in
OpenSees [38] to investigate the contribution of different components and the influence of
the modelling assumptions on the seismic behaviour of the case study building. A summary
of the models investigated is reported in Table 3. In all models the building is considered to
be fixed at the base, and beams and columns are modelled using nonlinear element with fibre
section, whose behaviour is represented by the Giuffré-Menegotto-Pinto constitutive law with
appropriate parameters to account for the strength degradation [39, 40]. In principle, mean
material property obtained from onsite tests should be used in the assessment according to
EC8-3, however, due to the lack of such information, some assumptions have to be made
with respect to the material properties used in this paper. The mean yield strength of steel
used in the assessment is considered to be 215MPa instead of 235MPa, assuming a standard
deviation of 15MPa and also a CF of 1.2. The Young’s modulus is 210GPa and the strain
hardening ratio is 0.02. For the masonry infill walls, the compressive strength of bricks and

mortar are considered to be 10 and SMPa, respectively.

As indicated in Table 3, two different types of simplified modelling of the rigid slab are
considered: the slab type A refers to the use of rigid diaphragm constraint while the slab type
B refers to the use of rigid diagonal struts, where each corner of the slab is connected to the
opposite corner diagonally through horizontal rigid elements. This comparison is aimed at
verifying the equivalency of the two types of modelling approaches in terms their effects on
the modal properties of the structure. This also helps gain confidence in using type B slab as

a replacement of conventional rigid diaphragm constraints due to the fact that the
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combination of rigid diaphragm constraints and modelling of column panel zones requires the
centre node of each panel zone to be the master node of the other nodes in that panel zone
and at the same time to be a slave node in the rigid diaphragm constraint, which is not

allowed by OpenSees [38].

Slab
Model mfins ~ Canel
C C Zone
Rigid diaphragm  Rigid diagonal
constraint struts
1 v
2 v
3 v v
4 v v
5 v v
6 \ ¢ v

Table 3. Summary of models with different components investigated.

The additional models investigate the influence of the masonry infill walls and the column
panel zones. Model 3, 4 and 6 include the modelling of masonry infills through the single
strut model [41, 42]. This model is adopted in this paper due to its great simplicity and
acceptable accuracy. The behaviour of the masonry infills is represented by the multi-linear
curve developed by Liberatore and Decanini [43], as shown in Figure 4. In Model 5 and 6, a
simplified model of the beam-column connection panel zone developed by Gupta and
Krawinkler [2] is also included. As shown in Figure 5a, the column panel zone is modelled
by small rigid elements, where the shear distortion is controlled by a rotational spring
characterised by the backbone curve in Figure 5b. It should be noted that the panel zones are
only present in the direction where beams are connected to the flange of columns, In the other

direction, a small offset from the top of bottom column to the centre of panel zone is

14



298 achieved to ensure the beam is connected to the centre of the panel zone. Detailed
299  information of the parameters defining backbone curves of infill walls and column panel are

300 summarised in Table 4.

Infills
Strain
F. (kN) F,(kN) K
Scr S, o,
Longitudinal 113 143 6.81e-05 3.45e-04 4.37e-03 0.35
128 160 5.79e-05  2.96e-04 3.57e-03 0.35
Transverse 119 149 5.52e-05 2.82e-04 3.60e-03 0.35
168 210 6.31e-05  3.22e-04  4.07e-03 0.35
Panel zone
Vy(kN) = yy(rad)  V,(kN) vy, (rad) a
Perimeter 24 1.54e-03 32 6.16e-03 0.02
Internal 42 1.54e-03 49 6.16e-03 0.02

301  Table 4. Parameters defining the backbone curves of infill walls and column panel zones (see
302 Figure 4 and 5 for notation).
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305  Figure 4. Schematic view of the single strut model for masonry infill walls and illustration of
306 the multi-linear backbone curve.
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Figure 5. Modelling of column panel zone and illustration of the tri-linear backbone curve.

5.3 Modal analysis response

Modal analyses were firstly performed on the FE models to investigate the effects of different
modelling parameters, especially the masonry infills, on the modal properties of the case
study structure. The corresponding period and modal mass of the first translational mode in

the X and Y direction are summarised in Table 5.

The comparison of Modes 1 and 2, and Models 3 and 4 shows the limited influence of the
modelling strategy used for slab, particularly in the X direction. This allows more confidence
in the use of rigid diagonal struts as a replacement to the rigid diaphragm constraint in this
study. When infills are incorporated into the model, the initial natural periods in the X and Y
direction are significantly reduced to around 0.1 and 0.3sec, respectively, indicating the
significant increase in lateral stiffness due to the presence of infill walls. However, the effects
of infills on the modal mass are limited where only small variations are observed, which
suggests that when the presence of infills are accounted for, the first mode still dominates the
response of the structure in each direction. Since the column panel zones are only present in
the Y direction of the structure, their major effects are reflected on the modal properties of
the structure in the Y direction. The comparison of Models 2 and 5 shows that the inclusion

of panel zones offers more flexibility in the Y direction, leading to approximately 10%
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increase of the natural period and a slight drop of participating mass. It also increases the
lateral stiffness in the X direction due to the reduced length of column elements, but the

change is not significant.

In summary, when the infills and beam-column connection panel zones are accounted for in
the model, different modal properties are obtained, so their effects on the seismic response of
steel MRFs cannot be neglected. Therefore, the two most completed model, Models 5 and 6,

will be assessed in the following sections of this paper.

Fundamental translational mode

Slab type
Model Infils ~ Canel X Y
Zone
A B Period Mass Period Mass
(sec) (%) (sec) (%)

1 v 1.86 89.13 1.17 84.11
2 v 1.86 89.13 1.17 84.04
3 J J 0.10 87.59 0.27 89.03
(-95%)  (-2%)  (-77%) (+6%)

4 J J 0.11 87.02 0.31 87.77
(-94%)  (2%)  (-74%) (+4%)

5 J J 1.75 90.05 1.27 81.68
(-6%)  (+1%)  (+9%)  (-3%)

6 N J J 0.11 87.12 0.32 87.26

(-94%)  (2%)  (-73%)  (+4%)

Table 5. Summary of modal properties of models with different modelling parameters
(increment or reduction in brackets are compared to Model 1).

5.4 Nonlinear static analysis

Pushover analyses were performed on the Models 5 and 6 described in Section 5.2, namely
the ‘bare frame’ and the ‘infilled frame’ to investigate the performance of the case study
structure with and without masonry infills based on the procedure proposed in Section 4. The

lateral loads are applied all nodes considering their assigned masses and fundamental mode
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341  shapes. It should be noted that since the bare and the infilled frame have different

342  fundamental mode shapes, the lateral loads applied to the two models are different.

Longitudinal (X) Transverse (Y)
DL SD NC DL SD NC

Pos 1.59  2.01 3.44 1.20 1.51 2.59

M
B Neg 158 200 343 121 154 263
are
frame Pos 149 189 323  1.16 146 250
U
Neg 149 189 323 1.6 146 2.54
Pos 0.17 028 065 036 046 0.80
M
Infilled Neg 0.3 023 056 038 048  0.84
frame Pos 0.14 024 058 038 048 0.84
§]
Neg 0.08 0.17 046 040 051  0.89
Demandyfiiieq
11%  14%  19%  33%  33%  34%
Demandbare

343  Table 6. Target displacements in terms of lateral drift ratio (%) at top floor (M: modal pattern,
344 U: uniform pattern, Pos: positive loading, Neg: negative loading).

1400 - T T T T T 7
Modal Pattern
= = = +Uniform Pattern
1200 - Demand DL ||
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1000 ¢ Demand NC
=
ESH
o 800
(4]
-
w
@ 600
w
[3+]
M
400 [ 3
200 - N W ]
0 | | | | | | |
-4 -3 -2 -1 0 1 2 3 4
345 Lateral drift at the CM of top floor (%)
346 Figure 6. Capacity curves in the X direction.
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Figure 7. Capacity curves in the Y direction.

The capacity curves showing the evolution of base shear and lateral drift ratio at the CM of
the top floor are presented in Figure 6 and Figure 7. It appears that the capacity curves in the
positive and negative direction are generally symmetrical, and so, the inverse of lateral
loading does not significantly change the structural performance. Also, the effects of infills
are evident as they substantially increase the lateral stiffness and strength of the steel building,
especially in the X direction. The ratio of maximum base shear to the total weight is 0.23 and
0.07 for the infilled and bare frame, respectively, in the X direction. The target displacements
of the bare and infilled frame are summarised in Table 6, where the final values of target
displacement for each limit state and direction take the largest value from all combination of
load patterns and loading directions (positive or negative). The results indicate that the
presence of masonry infills will effectively reduce the target displacement due to the increase
in lateral stiffness of the structure. It is also noted that in the X direction, as shown in Figure
6, the target displacement of DL and SD limit state lie in the range with negative stiffness
that is resulted from the failure of all infill walls on the ground floor, which emphasizes the
importance of accounting for the effects of infills. Since the most critical target displacement
of the infilled frame occurs in the case of positive modal pattern and negative uniform pattern
in the X and Y direction, respectively, the results from the two loading cases will be

discussed further in the rest of the paper.
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By assessing the damage evolution in the structure, Figure 6 shows that in the X direction all
the ground floor infills degrade at the peak point at around 0.04% drift and collapse at 0.3%
drift, which is similar to the case of a RC infilled building in the study by Dolsek and Fajfar
[26]. The 0.3% drift also marks the onset of yield of ground floor columns as the collapse of
infill walls leads to substantial loss of lateral stiffness and strength and causes rapid
redistribution of forces. In the Y direction, as shown in Figure 7, the major difference
between the response of the bare and infilled frame are the two step-like stages in the
capacity curve of the infilled frame, which are the result of the interaction between panel
zones and infills in the transverse direction. The first step (0.2-0.45% drift) corresponds to the
yield of ground floor column panel zones and the second step (0.45-1.45% drift) corresponds

to the yield of column panel zones on the first floor.
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384 Figure 8. Inter-storey drift in the X direction under positive modal load pattern for DL (a),
385  SD(c) and NC (e) limit state, and inter-storey drift in the Y direction under negative uniform

386 load pattern for DL (b), SD (d) and NC (f) limit state.
. Panel zone
Column rotation demand
Demand
X Y Y

Bare  Infilled Bare  Infilled Bare @ Infilled
DL 0.0339 0.0047 0.0203  0.0042 0.0197 0.0060
SD 0.0479 0.0082 = 0.0247 @ 0.0059 0.0238 0.0083

NC 0.0972  0.0197 0.0447 0.0094 0.0426 0.0155

387  Table 7. Comparison of column rotation demand (rad) and panel zone distortion demand (rad)
388 of the bare and the infilled frame.

389 In terms of local behaviour, Figure 8 shows the inter-storey drift at the CM of both the bare
390  and the infilled frame, while Table 7 summarises the column rotation demand and panel zone
391  distortion demand of the bare and the infilled frame. It is anticipated from Figure 8 that for
392  the case study steel frame, the damage mainly develops on lower storey, which will
393  experience larger drifts than higher storey. In particular, the presence of infills further
394  concentrates the damage in the X direction onto the ground floor, which contributes to nearly
395  100% of the total lateral drift of the building. This indicates that the building possesses a
396  weak column-strong beam (WCSB) feature, which is a common feature of existing steel

397  buildings that were designed without sufficient ductility design and tend to cause larger
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displacement at certain floors and higher seismic demand [44, 45]. In the case of the
behaviour of structural components, the comparison of Table 7 concludes that the presence of
infills dramatically reduces the local demand of columns and column panel zones for all limit
states. This agrees with the findings in interstorey drift (Figure 8) that the infilled frame

experience much smaller drifts at each limit state than the bare frame.

Furthermore, it is also essential to assess the behaviour of beams and columns in seismic
performance of SMRFs with masonry infills. Only the results obtained with the ‘modal’ load
pattern applied in the positive direction are presented hereafter for clarity. All beams and
columns are checked for combined axial load and bending moment and combined shear and
bending moment, following the design principle in EC3. The checks of beams and columns
are carried out at the demand point of NC limit state in a similar manner as design to the
ultimate limit state in EC3. Figure 9 and Figure 10 present the behaviour of the columns at
the demand point of NC limit state. When the infills are not included, the ground floor
columns are considered to be unsafe in X direction, as shown in Figure 9a and Figure 10a,
where significant yielding due to bending is observed. However, when the infills are present,
the columns are protected since the bending moment is reduced and the yielding on columns
become less severe, even though a higher base shear is induced on the infilled frame at the
NC limit state than on the bare frame. Similarly, Figure 9b and Figure 10b indicate that
yielding of columns in the Y direction is also effectively prevented by the presence of infills.
Figure 11 and Figure 12 present the behaviour of beams, which clearly show that in all cases
the beams are within the safe range due to the WCSB feature of the case study building.
Despite that, the effects of infills can still be observed, particularly in the X direction, where
the infills tend to reduce the shear force and bending moment of beams but result in slightly
higher axial force. The above observation suggests that the infills are able to protect the

beams and columns of the case study building from significant yielding during strong

22



423

424

425

426

427

428
429

430
431
432

433
434

435
436
437

earthquakes, which explains why the case study building survived the 2016 Central Italy
earthquakes. It also demonstrates the necessity of including infills in the numerical models
for assessing existing buildings, as the model of bare frame provides estimates that are much

conservative compared to the case of infilled frame and will lead to much more expensive

retrofit solutions.
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Figure 9. Axial force-bending moment interaction of columns in the bare and infilled frame at
the demand point of NC limit state: (a) in the longitudinal direction and (b) in the transverse

0.5 1
Bending moment M/My

(a)

Bare frame GF
Bare frame 1F
Bare frame 2F
Infilled frame GF | |
Infilled frame 1F
| Infilled frame 2F |

1.5 0

0.5 S
Bending moment I‘v!/’l\fly

(b)

direction.
1 ————————— 1 —————————
® Bare frame GF ® Bare frame GF
09} ® Bare frame 1F 09} ® Bare frame 1F
Bare frame 2F Bare frame 2F
08} O Infilled frame GF | | 08} o Infilled frame GF | |
© Infilled frame 1F © Infilled frame 1F

2>°-7 I Infilled frame 2F | | 2>°-7 I Infilled frame 2F | |
> 06} > 06}
@ @
2 2
o 0.5 o 0.5
3 04f 3 04f
o = o =
D g3t D g3t

0.2 = 0.2 o 0%

® e )
0.1} > 0.1k @(;N
o O e
0 @R 00 o
0 0.5 1 15 0 0.5 1 15
Bending moment M/My Bending moment M/My
(a) (b)

Figure 10. Shear force-bending moment interaction of columns in the bare and infilled frame

at the demand point of NC limit state: (a) in the longitudinal direction and (b) in the

transverse direction.
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Figure 12. Shear force-bending moment interaction of beams in the bare and infilled frame at
the demand point of NC limit state in the longitudinal direction: (a) external beams, (b)
internal beams, and in the transverse direction: (c) external beams, (d) internal beams.

Safety checks were carried out using the criteria proposed in Section 4. The chord yield
rotation is, as suggested in ASCE41-17 [7], calculated using Eq.l for beams and columns,

since EC8-3 does not offer any proposal regarding the determination of yield rotations:

My paL

0y = —py HHHHH(D)

where M, pq is the plastic moment capacity, L is the length of element, E is the Young’s
modulus and [ is the second moment of area. In this regard, the readers can also make
reference to a recent project [46, 47| about the characterisation of steel components, which

also developed expression of yield rotation of European steel beams and columns.
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The comparison of demands and capacities are summarised from Figure 13 to Figure 15. The
chord rotation capacities for SD and NC limit state in the Y direction are not presented
indicate because they are related to a lateral drift larger than 5% of the total height of
structure. Figure 13 shows that the infilled frame tends to reach chord rotation limits at
smaller roof drift than the bare frame, especially in the longitudinal direction, where the
contribution from infills are much more significant. This is because the presence of infills
attracts much larger seismic loads, and once the infills loss their load carrying capacity, the
seismic loads will be re-distributed to the structural components, in particular to columns in
this case study, causing them to experience severe yielding at smaller drift of top floor than
those in the bare frame. It is also found that the capacities of the case study building are
controlled by either the behaviour of column panel zones or the interstorey drift limits if they
are present, which demonstrates the potential inadequate of the chord rotation capacity in
EC8-3 and the necessity of introducing criteria of additional parameters for the assessment of
existing SMRFs. The safety checks demonstrate that, in terms of structural components, the
bare frame fails all three limit states with the capacities being significantly lower than the
demands, as shown in Figure 13ab and Figure 15a. However, for the infilled frame, the chord
rotation (Figure 13cd) and the panel zone (Figure 15b) criteria show that only the DL limit
state in the Y direction is slightly exceeded, which suggests that the case study building will
experience yielding in columns and column panel zones, but the overall structure are not
likely to collapse. Similarly, considering the limits of infills, Figure 14 shows that the infills
in both X and Y direction will be severely damaged during strong earthquakes. In summary,
the results of safety checks indicate that the infilled frame will experience significant damage
on infill walls, however, global collapse of the steel structure will not happen, despite

significant yielding may be found on steel components, especially at the beam-column

27



498

499

500
501

502

503

504

505

506

507

508

509

510

511

512

513

514

515

516

517

connections. This prediction of damage condition is believed to be similar to the real damage

pattern surveyed on site as introduced in Section 5.1.

dy (cm) dy (cm) n T * (sec) q
Bare 7.21 9.99 1.39 1.89 1.39
x Infilled 0.16 0.54 3.38 0.15 1.48
Bare 11.71 36.80 3.14 1.84 3.14
Y Infilled 0.50 2.78 5.56 0.39 4.56

Table 8. Ductility (1) and behaviour factor (q) of the bare and infilled frame (* represents the
property of the equivalent SDOF system).

Finally, the reduction factor R, also known as the behaviour factor q in EC8, was determined
based on the R-p-T relationship in N2 method [25, 27] assuming zero overstrength, where p
and T are the global deformation ductility and first period of the equivalent SDOF system. p

is determined by taking the ratio of the maximum displacement d ,;, which corresponds to the
formation of plastic mechanism, and yield displacement dj, of the idealised curve of the

SDOF system. In this case study, given the similarity between elastic perfectly plastic curves
and elastic plastic curves with strain hardening, the R-p-T relationship in [25] is adopted for
all cases, excluding the cases of infilled frame in X direction for which the R-p-T relationship
in [27] is adopted. The results are summarised in Table 8. It is found that in this case study
the values of q for the infilled frame are larger than those of the bare frame in both the X and
Y direction. The smaller value of q from the X and Y direction, 1.39 for the bare frame and
1.48 for the infilled frame, is taken as the upper limit of g-factor to be used in assessment,
regardless of the orientation of columns and significance of masonry infills. Compared to the
value of 2 that is recommended in EC8-3, the use of code-recommended value will
underestimate the seismic load and lead to unsafe retrofit design. However, considering the

fact that EC8-3 does not recommend g-factor approach to be used in the assessment of
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existing buildings, further investigations into appropriate values of q for existing steel

buildings, with or without infills, should be carried out.
5.5 Verification of the proposed NSA procedure using non-linear dynamic analyses

This section contains the implementation of non-linear dynamic analysis (NDA) methods on
the case study steel building under bi-directional earthquake loadings according to the
provisions in EC8-3, whose results will be used to verify the reliability of the proposed
pushover procedure. Two groups of ground motion records, namely Group A and B, were
selected based on the target spectrum for SD limit state using the software REXEL [48§],
which is an effective tool for selecting earthquake records developed by the University of
Naples Federico II. The earthquake records are provided by the Italian Accelerometric
Archive of Waveforms [49] and the European Strong-Motion Data [52]. Group A contains
seven bi-directional ground motion records, whose X-components achieve spectral
compatibility to the target spectrum in the X direction. Similarly, Group B also contains
seven bi-directional ground motion records but with their Y-components achieve
compatibility to the target spectrum in the Y direction. The definition of compatibility here is
based on the requirement in EC8-3, as introduced in Section 3. The purpose of selecting two
groups of earthquake records is that when investigating the structural performance in one
direction, the effects of the earthquake component in the other direction, for example, torsion,
will be accounted for. In other words, Group A is aimed at obtaining the structural behaviour
in X direction while Group B is aimed at the structural behaviour in Y direction. For the DL
and NC limit state, the same records selected for SD limit state were scaled accordingly with
scaling factors 0.79 and 1.71 to match the corresponding target spectrum. Figure 16 shows
the response spectra of select records corresponding to 5% damping and their compatibility

with the target spectrum of SD limit state. In order to perform the dynamic analysis, a
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Rayleigh damping model is added to the structural model, where 5% damping is assigned to

the first mode in the X and Y direction.
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Figure 16. Mean spectrum of the X-spectrum compatible earthquake records: (a) in the X
direction, (b) in the Y direction; and mean spectrum of the Y-spectrum compatible
earthquake records: (c) in the X direction, (d) in the Y direction.

Table 9 summaries the target displacements for each limit state obtained as the mean value of
the maximum response from each group, together with the estimates from previous NSA.
Firstly, it is found that the proposed NSA procedure using the N2 method for infilled
buildings systematically overestimates the roof drifts in the X direction, but the discrepancy
is much smaller at the NC limit state than at the DL limit state. The same situation is
observed in [27], where during the validation of the proposed R-p-T relation for infilled

buildings, it is found that smaller R, i.e. lower seismic loads, leads to relatively larger
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discrepancy at short period (less than 0.5sec). However, in the Y direction, where a multi-
linear idealisation of capacity curves is utilised, good agreement between the estimates of
roof drifts from NDA and NSA is achieved. Also, the proposed NSA method is able to
achieve good estimates of roof deformation at higher seismic loads that are critical to the

collapse of existing buildings.

Apart from the global deformation, the estimated local deformation, e.g. rotation of beams
and columns, distortion of panel zones and infill drifts, are also compared to assess the
reliability of the proposed NSA method. Figure 17 presents the comparison of inter-storey
drifts obtained from the proposed NSA and the code-based NDA. The results are concluded
to be in consistency with the roof deformation. It is found that at the NC limit state, the NSA
may underestimate the local demands, such as the interstorey drift in Y direction in Figure
171, column rotation in X direction in Figure 20e and infill drift in Figure 22ef, if the results
from the code-based NDA are considered as the ‘exact’ response. Despite this, in most cases,
the NSA provides slightly conservative estimates of seismic demands, especially for those
critical components, such as the columns and panel zones in this case. Considering the
simplicity of NSA and the inherent uncertainties in the code-based NDA, this discrepancy is

believed to be acceptable.

DL SD NC
Group X Y X Y X Y
A 0.05 038 0.18 048 062 097
NDA
B 0.08 0.35 0.18 045 046 0.89
NSA 0.17 040 028 0.51 0.65 0.89

Table 9. Mean value of maximum roof drifts (%) obtained from Group A and B ground
motion records.
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Figure 22. Comparison of in-plane masonry infill drift demands in the X direction for (a) DL,
(¢) SD and (e) NC limit state, and in the Y direction for (b) DL, (d) SD and (f) NC limit state.

5.6 Fragility analysis

In the final section, fragility analysis was carried out on the bare and infilled frame to

compare the behaviour of both frames in a probabilistic manner. A suite of ten ground motion
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624

625

626

627

628

629

records at Amatrice was selected on Italian Accelerometric Archive of Waveforms [49],
whose information is summarised in Table 10. The intensity measure (IM) was chosen to be
the 5% damping spectral acceleration at the fundamental period of the bare frame in the
longitudinal direction. Meanwhile, the engineering demand parameter (EDP) was chosen to
be the column rotation in X direction and panel zone distortion in Y direction. This choice
was made based on the previous assessment results that the overall structural safety is

controlled by the column rotation and panel zone distortion in the X and Y direction,

respectively.

e, Epc Sax(T1) M) Say(Ty) (mis?)
Bare Infill Bare Infill

1 6.0 8.5 1.45 5.35 1.19 18.53

2 6.1 26.4 0.87 6.85 1.53 9.96

3 5.4 9.7 0.32 5.89 0.29 1.70

4 4.7 3.1 0.13 6.59 0.14 1.95

5 5.4 11.3 0.56 4.24 0.39 5.82

6 4.3 3.6 0.09 4.23 0.14 247

7 4.5 3.6 0.11 2.03 0.16 3.33

8 4.3 3.6 0.09 2.90 0.06 1.28

9 5.3 14.4 0.23 1.53 0.32 4.58
10 5.4 20.9 0.25 1.49 0.19 1.61

Table 10. Summary of selected ground motion records.
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Figure 23. Fragility curves of the case study frame in (a) X direction controlled by column
rotation limits and (b) Y direction controlled by panel zone limits.

Figure 23 shows the fragility curves obtained for the bare and infilled frame. It is evident that
the infilled frame possesses a much larger lateral strength than the bare frame. The
exceedance of DL and SD/NC limit state of the bare frame happens mainly around 0.1 and
0.3g, respectively. The presence of infills complicates the seismic performance of steel
frames, making it more sensitive to different ground motions and leading to a larger
discrepancy as shown in Figure 23. Despite that, it is still obvious that the exceedance of DL
and SD/NC limit state of the infilled frame tends to take places at a much higher intensity
level, with median being about 0.9 and 2.7g respectively for DL and SD/NC limit state in the

X direction and 0.5 and 2.7g in the Y direction.

Furthermore, it is found that the fragility curves of both the bare and infilled frame in the X
direction for SD/NC limit state are identical to those in the Y direction. This is because that
in all cases the failure of structures occurred due to instability before the chosen limit state
was reached, i.e. the structure failed due to global instability before the columns and panel
zones reach their capacities for SD and NC limit state. This also explains why the curve for
SD limit state in the X direction is identical to the one for NC limit state, hence two fragility
curves corresponding to three different criteria defined. The failure of columns to sufficiently
develop their ductility both in terms of chord rotation and panel zone distortion suggests that
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the case study building is very vulnerable to large horizontal excitations, which reveals the
fact that as a typical existing steel building it was not adequately designed for seismic loading
and with critical P-A issues. This observation also indicates a major drawback of the propose
assessment procedure which lacks appropriate criteria to account for the instability issue,

since it may be more critical in some cases to define the failure of structures.
6 Conclusions

In this paper, an improved non-linear procedure of assessing existing SMRFs is proposed and
its application on a case study steel building is presented. The proposed procedure addressed
some of the issues in the current EC8-3, such as its limited application to SMRFs with infills
and lack of criteria for column panel zones. Refined 3D models of the steel building were
developed in OpenSees, which includes the modelling of masonry infill walls and column
panel zones in addition to the basic bare frame. The effects of masonry infills on the response

of'beams and columns were also investigated in this paper.

Modal analyses were performed first to found out the effects of different modelling
parameters on the modal properties of the case study building. It is found that the presence of
infills reduced the fundamental periods of the case study frame by over 90% in the X
direction and by over 70% in the Y direction. Such huge reduction in fundamental periods
noticed in this case study may not be appropriate for all existing buildings, yet it still
confirms the fact that the infills contribute to the lateral stiffness of existing steel frames at a
much higher degree than to modern steel frames, since existing steel frames tend to be more
flexible than modern steel frames. On the other hand, the inclusion of column panel zones

slightly increased the fundamental period in the Y direction by about 10%.

The results of NSA demonstrate the effects of masonry infills on the overall structural

behaviour and response of beams and columns. The infills significantly increased the lateral
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stiffness and strength of the case study building, reducing the demand of roof displacement
by around 85% in the X direction and 70% in the Y direction. The case study building was
also found to possess the feature of WCSB and the infills concentrated the damage to lower
floors of the building, particularly in the X direction where the lateral drift of ground floor
accounts for nearly 100% of total drift at roof level. Besides, at the demand point of NC limit
state, the columns in the bare frames have significantly yielded and were unsafe considering
both the interaction between axial load and bending moment, and the interaction between
shear force and bending moment, while those in the infilled frame were still safe and only
slightly yielded. This observation suggests that the masonry infill are likely to protect the
building during strong earthquakes, as long as they are not completed failed and loss all their

loading carrying capacities, especially those on lower floors.

Lastly, code-based NDA was performed to verify the reliability of the proposed NSA
procedure. It is found that the NSA tends to provided slightly conservative estimates of
global and local demands, although in some cases for the NC limit state, the NSA
underestimates the demands, if compared to the results from NDA. The results of safety
verification generally well match the results obtained from NSA. However, a major drawback
of the proposed assessment procedure was found through a preliminary fragility analysis,
which indicates that appropriate criteria that account for structural instability should be
included in the future as the P-A effect may prevent the structural components from
sufficiently developing their ductility. In summary, considering the simplicity and efficiency
of the proposed NSA compared to code-based NDA, the proposed NSA provides acceptable

assessment results of the case study building.

Another essential aspect in the field of assessing existing buildings that is not accounted for
in the proposed NSA method is the soil-structure interaction, which also have non-negligible

impact on the modal properties of steel frames, hence their seismic performance. Specific
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requirements on such aspect are not included in the current EC8-3, either. Therefore, possible
solutions to account for the effects of soil-structure interaction, such as improving the
numerical model or modifying the natural periods and corresponding mode shapes, should be

investigated in the future.
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