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Abstract: This study describes the development and implementation of a numerical procedure 6 

for the analysis of coupled geotechnical problems involving finite deformations, changing 7 

boundary conditions, multiphase porous media and softening behaviour.  The numerical 8 

scheme is first validated through a benchmark problem concerning the laying of an on-bottom 9 

offshore pipeline, and then some further highlights of the effects of soil softening are presented.  10 

The scheme is then specifically employed to study the penetration process of a full flow cyclic 11 

T-bar test in soft sensitive clay.  An advanced soil constitutive model has been implemented to 12 

capture the effects of soil structure and its progressive de-structuring as well as soil fabric 13 

anisotropy.  Accordingly, the changing soil resistance due to the combined effects of soil 14 

softening, remoulding and reconsolidation is illustrated, by considering a T-bar undergoing 15 

large amplitude cyclic sequences interspersed with consolidation periods.  The results from the 16 

numerical simulations reveal the effects of soil softening on the soil deformation pattern, the 17 

evolution of shear bands, the generation of excess pore pressures and the process of soil 18 

reconsolidation. 19 

Keywords: Large deformations, coupled effective stress analysis, T-bar test, finite element method, 20 

soil constitutive models. 21 

Introduction 22 

The design of offshore geotechnical projects typically involves an assessment of the 23 

undrained shear strength su of soft soil that is usually measured by in situ tests, such as the full 24 

flow T-bar test (Stewart and Randolph 1991) and free fall (cone or ball) penetrometers (e.g., 25 

Nazem et al. 2012; Sabetamal et al. 2016; Sabetamal et al. 2018).  A characteristic feature of 26 
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geotechnical practices related to subsea foundations and anchoring systems concerns the cyclic 27 

nature of the applied loading from the ocean environment and operating conditions.  The cyclic 28 

loading episodes are usually sustained over relatively long periods allowing consolidation to 29 

occur.  Accordingly, a ‘cyclic strength’ parameter that can reflect both strength loss and 30 

strength recovery (the former due to loss of structure and the latter due to reduction in voids 31 

ratio) throughout the remoulding and reconsolidation processes would be useful.  However, the 32 

effects of reconsolidation on the undrained capacity of offshore structures are usually ignored, 33 

whereas the subsequent increase of stiffness and strength of the seabed can significantly affect 34 

the fatigue life of structures, such as subsea pipelines, spudcan foundations, steel catenary 35 

risers, etc.  Therefore, accurate quantification of the soil strength is very important for the sake 36 

of safe, economic and realistic design of offshore structures.  This requires a careful evaluation 37 

of soil behaviour far beyond its initial failure, for which the full-flow T-bar penetrometer test 38 

is typically utilised to evaluate the change of soil strength throughout several large amplitude 39 

displacement cycles.  Hodder et al. (2013) presented such experiments in order to study the 40 

behaviour of kaolin clay.  Very recently, O’Loughlin et al. (2020) also conducted experiments 41 

in order to evaluate the behaviour of carbonate silt and sensitive kaolin clay.  Some one-42 

dimensional analytical models predicting the changing soil strength have been presented based 43 

on the principles of critical state soil mechanics and observations of soil behaviour during large 44 

amplitude cyclic T-bar tests (Hodder et al. 2013; Zhou et al. 2019). 45 

Despite these recent experimental and analytical studies, there is a scarcity of numerical 46 

simulations that are capable of capturing the ‘whole life’ behaviour of subsea foundations and 47 

penetration processes involving the correct simulation of in situ stress conditions, generation 48 

of excess pore pressures, the loss of soil strength due to soil softening and remoulding effects, 49 

as well as soil strength recovery because of soil reconsolidation.  The available numerical 50 

studies, in particular those concerning penetration of full flow penetrometers, are mainly in the 51 
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form of undrained analyses with the Tresca material model, which are not able to consider pore 52 

pressure generation and dissipation (e.g., Zhu et al. 2020; Han et al. 2020; Zhou and Randolph 53 

2009).  A fully coupled analysis is required to incorporate pore-fluid pressure development and 54 

its subsequent dissipation.  The analysis procedure should also be able to consider large 55 

deformation processes, for which a robust mesh optimisation strategy is necessary to 56 

circumvent problems associated with severe mesh distortions and the consequential 57 

termination of the analyses. 58 

Some recent studies of coupled analysis for deep penetration problems, such as the 59 

penetration of a jack-up spudcan (e.g., Wang and Bienen 2016; Rangi et al. 2016), piezocone 60 

(Yi et al. 2012) and piezoball (Mahmoodzadeh et al. 2014) are based on the method of 61 

Remeshing and Interpolation Technique involving Small Strains (RITSS) proposed by Hu and 62 

Randolph (1998), combined with the Modified Cam Clay (MCC) model.  They usually 63 

consider the relevant structural elements ‘wished in place’, thus avoiding numerical difficulties 64 

associated with their initial surface penetration, so that strictly speaking the ‘whole life’ 65 

behaviour of these applications has not been taken into account.  Furthermore, ultra large 66 

deformation problems may involve boundary overlapping that cannot be easily handled by the 67 

current version of the RITSS method.  In addition, these studies have not employed more 68 

advanced soil models in order to explicitly incorporate features like soil softening, rate effects 69 

and fabric anisotropy. 70 

The natural structure of soft clay formed during geological processes that include 71 

cementation, creep and thixotropy, is essentially different from that of clays reconstituted in 72 

the laboratory.  As a consequence, in situ soft clays generally show stiffer behaviour than 73 

laboratory experiments on reconstituted samples, allowing them to exist at a higher void ratio 74 

than the equivalent reconstituted samples at a given stress (Burland 1990; Leroueil and 75 

Vaughan 1990).  Sometimes, the changes in the internal soil fabric under deformation causes 76 
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a breakdown of the initial structure often resulting in strength loss due to remoulding.  This 77 

phenomenon is known as de-structuring and can be quite pronounced in natural soft clays (e.g., 78 

Callisto and Calabresi 1998; Smith et al. 1992).  It is, therefore, important to include the effects 79 

of soil structure and the de-structuring process in numerical models when analysing problems 80 

involving large deformations and possibly significant soil remoulding. 81 

In this study the development of an effective stress FE procedure is presented that is able to 82 

consider all of the aforementioned features in the modelling of large deformation geotechnical 83 

problems.  Application of the proposed numerical scheme is illustrated through simulation of 84 

two challenging geotechnical problems involving an offshore pipe-soil interaction and 85 

penetration of a full flow T-bar penetrometer, which undergoes large amplitude cyclic 86 

movements after being buried in a soft sensitive saturated clay. 87 

In the following, the FE numerical procedure developed for the study is outlined first, along 88 

with a description of the implemented soil constitutive model.  The validity of the numerical 89 

approach is demonstrated by comparing the results of a pipe-seabed interaction problem with 90 

previously published solutions and then the study is further extended to observe the effects of 91 

softening on the behaviour of the pipe-seabed system.  Finally, numerical simulation of the T-92 

bar penetration process is presented.  The numerical results provide some insights into the soil 93 

deformation mechanisms, shear band evolution, excess pore pressure generation and the 94 

processes of soil structure degradation and reconsolidation. 95 

Numerical procedure 96 

In order to consider large deformation phenomena while avoiding possible mesh distortions, 97 

a finite deformation procedure based on the Particle Finite Element Method (PFEM) was 98 

developed and implemented into a general-purpose commercial software package, Abaqus.  99 

Moreover, an advanced soil constitutive model that can capture soil structure and anisotropy 100 
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was implemented.  A relatively concise description of the numerical framework is presented in 101 

the following. 102 

Large deformation FE procedure 103 

To handle large deformation problems, the traditional numerical methods established within 104 

a Lagrangian framework are typically replaced by those based on the framework of the 105 

Arbitrary Lagrangian Eulerian (ALE) method.  Overall, the ALE approaches for geotechnical 106 

applications may be divided into three groups: mesh-based methods (e.g., van den Berg 1996; 107 

Susila and Hryciw 2003; Nazem et al. 2006); particle based approaches, such as the Material 108 

Point Method (MPM) and the Smoothed Particle Hydrodynamics (SPH) method (Sulsky et al. 109 

1995; Beuth et al. 2011; Soga et al. 2016); and the mixed mesh-particle based procedures, such 110 

as the PFEM approach (e.g., Idelsohn et al. 2004; Zhang et al. 2019). 111 

The mesh-based ALE schemes used in geotechnical engineering may be divided into three 112 

categories: the RITSS procedure (Hu and Randolph 1998), the efficient ALE scheme (EALE) 113 

(Nazem et al. 2006) and the Coupled Eulerian-Lagrangian (CEL) approach.  Wang et al. (2015) 114 

compared the performances of these methods for some benchmark problems covering static, 115 

consolidation and dynamic geotechnical applications. 116 

The PFEM that will be adopted in this study is a mixed procedure that considers the 117 

meshless definition of a continuum represented by a cloud of particles and then treats the 118 

assemblies of those particles with the standard mesh-based FE technique.  The notion of a 119 

continuum represented by particles allows the possibility of modelling the separation of 120 

particles from the main domain or group of particles that may eventually lead to the creation 121 

of new surfaces, sub-domains and multibody contacts.  The re-entry of particles back into the 122 

main domain can also be accommodated. 123 
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To date, most of the PFEM-based procedures have been implemented into bespoke codes 124 

and their applications are typically limited to some specific problems, such as the modelling of 125 

granular flows, landslides, soil-structure interaction, etc. (e.g., Zhang et al. 2013; Monforte et 126 

al. 2018).  In this study, we have implemented the PFEM approach into the commercial 127 

software Abaqus.  This has enabled application of the method to a wide range of problems and 128 

provides flexibility by providing access to its numerous capabilities, including user-defined 129 

subroutines. 130 

PFEM analysis strategy 131 

The starting point at each time step of a PFEM analysis involves a cloud of particles Cn 132 

specified to form the analysis domain(s) at time tn, as depicted in Figure 1.  The boundaries 133 

defining the domain are then identified by coupling the Delaunay triangulation of those 134 

particles with the so called -shape method (Edelsbrunner 1994).  Subsequently, the 135 

discretisation of the continuum is performed with a FE mesh Mn and the corresponding 136 

Lagrangian equations of motion are solved.  For the next time step, the mesh nodes at their new 137 

positions are considered to be the updated cloud of particles Cn+1, for which the solution 138 

process is then repeated, accordingly.  As the analysis proceeds, particles may concentrate at 139 

some regions and subsequently the number of particles would decrease in other regions, 140 

eventually leading to a loss of solution accuracy.  In order to preserve the quality of the mesh, 141 

some particles may be merged or added depending on their separation.  The insertion of 142 

particles is considered for elements for which their corresponding area exceeds a specified 143 

tolerance; and particles that are closer than a characteristic distance are removed.  The process 144 

of insertion and removal of particles follows the algorithm described in Chargoy (2014).  145 

Moreover, a Laplacian smoothing is performed for some selected regions in order to smooth 146 

elements with unacceptable aspect ratios.  Finally, having completed the mesh refinement 147 

process, the mapping of all Gauss and nodal variables from the old mesh to the new (refined) 148 
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mesh is performed by interpolating results from nodes in the old mesh to points (either nodes 149 

or integration points) in the new mesh.  To compute nodal stresses and state parameters, the 150 

super convergent patch recovery technique is used (Zienkiewicz and Zhu 1992). 151 

 152 
Figure 1. PFEM analysis procedure (after Zhang et al. 2013) 153 

It is noteworthy that the external boundaries generated through the -shape method may 154 

violate the mass conservation of the continuum depending on the value chosen for the 155 

parameter .  This can be avoided by the use of a constrained Delaunay algorithm, such as the 156 

one described in Rodriguez et al. (2015).  This study employs a relatively similar approach in 157 

which the old boundary is refined by adding some virtual particles to it prior to performing the 158 

Delaunay triangulation process.  The corresponding so-called constrained Delaunay approach 159 

is less sensitive to the value of the -shape parameter so that the boundary is identified 160 

accurately.  Once the domain boundaries are recognised, the virtual particles are eliminated 161 

and the solution process is continued. 162 
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It is noteworthy that the PFEM has some similarity with the RITSS method in terms of the 163 

repeated interpolation and remeshing (or mesh refinement) processes, but the main difference 164 

is in the capability of PFEM in identifying free surfaces that may involve possible formation 165 

of new surfaces, boundary merging and multibody contacts. 166 

Soil constitutive model 167 

The constitutive model (or models) perform a major role in the analysis of any boundary value 168 

problem, usually providing the connection between imposed stresses and the resulting strains.  169 

The Modified Cam Clay (MCC) model is an isotropic critical state soil model and is now 170 

widely used for predicting soil behaviour.  The model has been the subject of significant 171 

research since its inception and modified in various forms to cover different soil types and 172 

loading conditions in an attempt to achieve better predictions of experimental data.  A number 173 

of extensions to this model have been proposed to capture the directional bias of the soil 174 

response due to the orientation of soil fabric.  This includes the development of anisotropic 175 

constitutive models, such as SANICLAY (Dafalias 2006) and S-CLAY1 (Wheeler et al. 2003).  176 

A few other extensions introduced a measure of the material structure into the MCC model 177 

with the so-called structured Cam-clay models (e.g., Liu and Carter 2002; Yang et al. 2016).  178 

Similarly, a de-structuring theory was applied to the S-CLAY1 (Karstunen et al. 2005) and the 179 

SANICLAY (Taiebat and Dafalias 2010) models to account for bonding and de-structuring 180 

effects.  The structured S-CLAY1 that was named S-CLAY1S involves isotropic de-181 

structuring, only, while the SANICLAY model considers both isotropic and deviatoric de-182 

structuring.  183 

In this study, we have implemented S-CLAY1S as an anisotropic structured model.  Note 184 

that the structure/de-structuring effects incorporated herein include softening effects, in which 185 

the undrained shear strength may decrease with increasing plastic deformation.  This is 186 

analogous to the strategy adopted in some undrained analyses using the Tresca model, where 187 
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the undrained shear strength is treated as a function of accumulated plastic shear strain (e.g., 188

Einav and Randolph, 2006). 189

Yield and plastic potential functions 190

Assuming an associated flow rule, the S-CLAY1S model employs a rotated and distorted 191

ellipse (in triaxial stress space) to describe both the plastic potential and yield surfaces (Figure 192

2), which in the general stress space is given as  193

 23 3: : 0
2 2 cf p p M p p ps α s α α α   (1.1) 194

where s = - p  I is the deviatoric stress,  and I are, respectively, the effective stress tensor 195

and identity tensor, pʹ denotes the mean effective stress, M  is the critical stress ratio for triaxial 196

compression, pc represents the internal hardening parameter controlling the size of the yield 197

surface and  denotes the evolving deviatoric stress-ratio (backstress) tensor, which is the 198

kinematic hardening parameter of the model.  Moreover, the model was extended to include a 199

dependency on the third invariant of stress via the Lode angle (Figure 2b).  This was attained 200

by assuming that the plastic potential surface has a noncircular but smooth shape in the 201

deviatoric plane which coincides with the Mohr-Coulomb hexagon at all vertices (e.g., see 202

Sheng et al. 2000). 203

                             204
                                        (a)                                                                               (b) 205
Figure 2. S-CLAY1S model in: (a) triaxial stress space (p: mean effective stress; q: deviatoric shear stress); (b) 206

deviatoric plane 207
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Soil structure effect 208 

Following the concept proposed by Gens and Nova (1993), the effect of bonding in the 209 

model was implemented by introducing an intrinsic (reconstituted) yield surface that has the 210 

same shape and inclination as the natural (structured) yield surface but with a smaller size, as 211 

shown in Figure 2a.  The size of the intrinsic yield surface is specified by parameter pi which 212 

is related to the size of the natural yield surface pc as 213 

 1c i i tp p p S   (2) 214 

where  denotes the current amount of bonding and St = (1+ ) is referred to here as the soil 215 

sensitivity parameter.  Expansion or contraction of the intrinsic yield surface is controlled by 216 

the plastic volumetric increment p
vd  according to the isotropic hardening law of the MCC 217 

model, as  218 

 pi
i v

i

vpdp d   (3) 219 

where v is the specific volume, i is the gradient of the intrinsic normal compression line in the 220 

v–ln(pʹ) plane and  denotes the slope of the swelling line in the same plane. 221 

The isotropic de-structuring law for this model (Karstunen et al. 2005) describes the 222 

degradation of the bonding parameter  based on a combination of the incremental plastic 223 

volumetric strain p
vd  and the plastic deviatoric strain p

ddε  as 224 

 p p
v dd a d b dε   (4) 225 

where parameter a controls the absolute rate of isotropic de-structuring and parameter b defines 226 

the relative effectiveness of deviatoric and volumetric plastic strains in degrading the 227 

interparticle bonding.  Note that the structure degradation is a function of the incremental 228 

plastic strains instead of the accumulated plastic shear strain, which is commonly used to 229 

account for softening effects with the Tresca model (Einav and Randolph, 2006).  Avoiding 230 
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the use of accumulated plastic strain could be regarded as an advantage when the analysis 231

involves repeated processes of remeshing and interpolation, because the mapping of 232

accumulated plastic strains is no longer required.  The latter usually involves some form of 233

error growth leading to gradual smoothing of the plastic strain distribution. 234

Volumetric collapse occurs during the de-structuring process and the natural yield surface 235

begins to shrink towards the fully remoulded (intrinsic) yield surface.  Once the natural yield 236

surface coincides with that of a soil in the reconstituted state, the structure is completely 237

removed and the intrinsic state of a reconstituted soil is eventually obtained. 238

Kinematic hardening 239

The evolution of the backstress ratio tensor is controlled by the particular form of the 240

hardening law (Wheeler et al., 2003) as 241

 3 1
4 3

p p
v dd C d x d

p p
s sα α α ε   (5) 242

where  is the step function of  defined as  243

     if   0      and      0    if   0p p p p p
v v v v v 0p p p p pif 0 d 0 if0 d 0 ifv v v v v    if   0      and      0    if  0      and      0    if  p
v v v vv v v0 a d 00      and      0      and      0    if  p if 0 and 0 if0 and 0 if    if   0      and      0    if  0      and      0    if  0 andp if 0 and 0 if0 and0 and 0 if0 and   (6) 244

The material constant x  controls the relative contribution from the volumetric and deviatoric 245

plastic strains and C  scales the absolute rate of evolution.   246

Numerical integration of constitutive relations 247

Integration of the stress-strain laws is typically performed using either explicit or implicit 248

schemes.  It may be argued that the implicit schemes are more accurate than simple explicit 249

approaches, as the latter involve some errors due to the approximate satisfaction of the yield 250

and consistency conditions.  However, the use of implicit schemes, such as the ‘backward Euler 251

return mapping’ with complex models becomes very cumbersome mainly because of the need 252

to compute the second-order derivatives of the plastic potential and also the difficulty in 253
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deriving a consistent tangent operator.  Therefore, it is likely that explicit schemes would be 254 

more favourable for complex constitutive soil models provided their accuracy and efficiency 255 

are enhanced through automatic sub-incrementing and error control strategies.  Therefore, for 256 

the purpose of this study, the soil model was implemented through a UMAT subroutine into 257 

the Abaqus software based on the adaptive substepping scheme of Sloan et al. (2001).  For the 258 

results presented in this paper, the constitutive laws were integrated very accurately by using a 259 

relative error tolerance of 10-6 for the stresses, together with an absolute tolerance of 10-9 for 260 

drift from the yield surface. 261 

Validation and numerical applications 262 

 The numerical scheme developed in this study was employed to simulate two challenging 263 

problems of offshore geomechanics.  First, the analysis of a partially embedded pipeline is 264 

presented and the results are compared to the solutions presented earlier by Chatterjee et al. 265 

(2013).  This is followed by an extended study on the effects of soil softening on the pipe 266 

response.  The second example concerns the simulation of a full flow cyclic T-bar test. 267 

Pipe seabed interaction 268 

In this simulation, a rigid pipe of diameter D was laid on a saturated soil and pushed 269 

vertically to an embedment depth of 0.5D by applying prescribed displacements.  Advantage 270 

was taken of the problem’s symmetry and only one-half of the model was represented in the 271 

numerical simulation. A two-dimensional plane strain FE model discretised through 6-noded, 272 

coupled triangular elements comprising three Gauss points was adopted for the numerical 273 

analysis, as depicted in Figure 3.   274 
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        275 
Figure 3. FE model for the pipe-seabed interaction 276 

The side boundaries of the FE model were restrained against horizontal movement, while the 277 

bottom boundary was fixed, preventing both vertical and horizontal movement.  Drainage was 278 

permitted only on the top boundary and pore-water flow normal to the pipe-soil interface was 279 

prohibited. 280 

The pipe-soil interface was assumed to be smooth and a uniform pressure of 200 kPa was 281 

applied at the mudline in accordance with the simulations presented in Chatterjee et al. (2013).  282 

Moreover, the S-CLAY1S model implemented in this study was employed to predict the soil 283 

behaviour.  The values of the soil parameters adopted for the constitutive model are listed in 284 

Table 1, in which basic (critical state) soil parameters are typical of the kaolin clay determined 285 

through laboratory element tests at the University of Western Australia (Stewart, 1992).  286 

Furthermore, the soil anisotropy and structure parameters used in the model were chosen based 287 

on the suggestions by Yin et al. (2010).  Note that setting the anisotropy and structure 288 

parameters to zero retrieves the MCC model that is referred to here as non-sensitive clay.  In 289 

the latter case, the predicted results are compared to the results obtained by Chatterjee et al. 290 

(2013) for the purpose of validation. 291 
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Table 1. Soil model parameter values 
Basic parameters Value 
Friction angle 
Stress ratio at critical state M = 0.898 
Slope of normally consolidated line in e-ln(p') space i = 0.205 
Slope of unloading-reloading line in e-ln(p') space  = 0.044 
Void ratio at p’=1 kPa on critical state line ecs = 2.14 
Over consolidation ratio OCR = 1 
Poisson’s ratio  ʹ= 0.3 
Saturated bulk unit weight sat = 15 kN/m3 

Unit weight of water w = 10 kN/m3

Permeability of soil k = 1×10-9 m/s
Structure parameters = 0, 4, 9 
 a = 0.2 
 b = 9.0 
Anisotropy parameters C  
 x  
  

Note that is the scalar value of initial anisotropy as

A fine mesh with minimum size of 0.02D was applied near the pipe extending up to 2.25D 292 

from the centreline and 2.6D below from the mudline.  The development of shear bands in 293 

strain-softening material can lead to solution non-uniqueness (Zienkiewicz and Taylor, 2000) 294 

because the FE discretisation effectively imposes an artificial internal length parameter.  This 295 

can affect both the thickness and orientation of the predicted shear band.  In general, the shear 296 

band thickness usually takes the minimum size possible.  In these cases, some regularisation 297 

techniques might be used to circumvent this difficulty, by introducing length scales in the 298 

formulation (e.g., by using gradient-dependent plasticity, nonlocal plasticity and enhanced 299 

microstructure continua), with which a realistic shear band thickness could be predicted (e.g., 300 

Collin et al. 2006; De Borst et al. 1993).  In coupled analyses involving soft sensitive clays, it 301 

seems that the mesh dependency of the solution may not be as severe as in a single phase 302 

material, largely because the generation and dissipation of pore pressure in shear bands may 303 

regularise the strain softening (e.g., Thakur, 2018).  Shuttle and Smith (1990) suggested that 304 

pore water pressure migration in relation to shear band formation is more critical in numerical 305 

modellings rather than the width of rupture bands.  Nonetheless, the problem of solution non-306 

uniqueness was avoided in this study by adopting an element size around the penetrometer 307 
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(~0.02D) that is representative of the typical shear band thickness (0.1 mm to 2 cm) observed 308 

for soft sensitive clays (e.g., Lin and Penumadu 2006; Moore and Rowe 1988).  It is noteworthy 309 

that in another attempt we increased the density of mesh by halving the element sizes (~0.01D) 310 

which did not significantly affected the predictions and the observed soil-pipe response. 311 

Two different pipe penetration velocities, v, were considered to represent undrained and 312 

partially drained situations for which the corresponding values of the dimensionless velocity 313 

vD/cv were chosen as 100 and 0.1, respectively.  The coefficient of consolidation cv was 314 

determined from 315 

 v
v w

kc
m

  (7) 316 

where mv is the volume compressibility of the solid soil skeleton.  The virgin compressibility 317 

in the Cam Clay model can be expressed as 318 

 
0 01vm

e p
  (8) 319 

where p 0 and e0 denote the initial mean effective stress and void ratio at the pipe invert, 320 

respectively. 321 

Figure 4 depicts the profile of penetration resistance V normalised by the undrained shear 322 

strength su0 at the pipe invert (su0 = 57.2 kPa), obtained from the MCC parameters for one-323 

dimensionally (K0 = 1-sin  = 0.61) consolidated soil (e.g., see Wroth 1984).  Figure 4 shows 324 

that the soil resistance increases with penetration depth w and is higher for the slow penetration 325 

case (vD/cv = 0.1).  The profile of soil resistance for the fast penetration case of the insensitive 326 

clay (vD/cv = 100) is comparable with the result of an equivalent uncoupled analysis using the 327 

Tresca soil model, assuming the same initial undrained shear strength profile.  Therefore, the 328 

coupled analysis actually predicts the undrained behaviour for the case of a high penetration 329 
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velocity.  The numerical results are also compared with those of Chatterjee et al. (2013), 330 

showing excellent agreement. 331 

Figure 4 also depicts the predicted results for fast penetration into two different sensitive 332 

clays with values of the sensitivity parameter St = 2 & 10.  The penetration resistance for these 333 

cases lies below that obtained for the insensitive clay.  Note that the penetration resistance was 334 

normalised based on the initial intact undrained shear strength (su0) at the soil surface.   335 

          336 
Figure 4. Soil resistance profile 337 

The sudden drop of the soil resistance in the sensitive clays at various penetration depths 338 

indicates the development of shear slip surfaces, as will be discussed in the following. 339 

Figure 5 presents some contour plots of the accumulated plastic shear strain at the final 340 

embedment depth.  The localization of plastic deformation into narrow bands, referred to as 341 

shear bands, appears to be distinctly different for the sensitive clays compared to the insensitive 342 

soil (c.f., Figs 5a & c).  Multiple localised zones are formed in the sensitive soil and propagate 343 

deeper due to soil softening, whereas for the case of an insensitive clay, plastic shear strains 344 
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essentially remain uniform and diffused (Fig 5c).  The non-uniform distribution of plastic strain 345 

in sensitive clays leads to the development of a progressive failure mechanism.  At certain 346 

penetration depths, the nets of wedge-shaped shear bands, which are locally developed under 347 

the pipe, begin to join together through a main curvilinear slip surface that eventually intersects 348 

the soil surface.  At this stage, which may be considered as the onset of a global failure 349 

mechanism, the soil resistance experiences a sudden decrease due to sliding of the soil mass 350 

along the slip surface.  The slip surfaces developed in the soil are clearly visible in Figures 5a 351 

& b.  The penetration depth at which the last slide occurs is deeper in the highly sensitive clay 352 

(w=0.45D) compared to the less sensitive case (St = 2), which happens at around w=0.3D and 353 

is also identifiable in Figure 4 as a distinct drop in the soil resistance.  This is because the 354 

localised shear zones in the highly sensitive clay tend to propagate deeper and thus involve a 355 

larger soil mass, delaying the formation of subsequent slip surfaces. 356 

The accumulation of deviatoric plastic strains in the shear bands softens the surrounding soil 357 

and progressively breaks down the soil structure.  Such disturbance can lead to significant 358 

changes in the operative shear strength (Figure 4) and the basic constitutive properties of the 359 

soil. 360 

(a)            (b)             (c)  361 

 362 
Figure 5. Contour plots of accumulated plastic shear strain at the final embedment depth (w/D=0.5): (a) St = 363 

10; (b) St = 2.0; (c) non-softening 364 
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The degradation of soil strength has been visualised through contour plots of the structure 365 

parameter  in Figure 6.  The red colour in these plots indicates the (elastic) regions with no 366 

softening (intact soil) while the blue regions represent the fully remoulded situation.  The 367 

observed marked difference in the evolution of shear bands for the different cases should 368 

also have significant consequences in terms of the excess pore pressure development, as is 369 

illustrated in Figure 7. 370 

                                                  371 

                                                                              372 

Figure 6. Contour plot of soil structure parameter ( ): (a) = 9.0 (St=10); (b) =1.0 (St =2)  373 

The maximum excess pore pressure value is initially observed at a point in contact with the 374 

pipe invert for all cases.  The uniform shape of the contours for the insensitive case (Figure 7a) 375 

is analogous to the uniformly curved surface geometry of the pipe and also the distribution of 376 

plastic strains (Figure 5c).  The extent of the compressive pore pressure contours indicates the 377 

amount of soil undergoing compression and shearing because of the pipe loading.  Figures 7b 378 

& c show that the excess pore pressures are generally localised within the shear bands in the 379 

sensitive clays and they drastically alter the shape of excess pore pressure distributions causing 380 

lateral shrinkage of the contours. 381 
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                382 
                     (a)                                                   (b)                                                  (c) 383 

Figure 7. Excess pore pressure contour plots (normalised by su0): (a) non-softening; (b) St = 2; (c) St = 10 384 

The dissipation of excess pore pressures generated throughout the penetration process will 385 

lead to consolidation displacements.  To study the consolidation process, the excess pore 386 

pressures were allowed to dissipate under constant pipe load.  The value of this load was that 387 

experienced at the final embedment depth.  Figure 8 shows the variation of consolidation 388 

settlement of the pipe w with dimensionless time factor Tv = cvt/D2, where t denotes the actual 389 

time.  For the non-sensitive case, the analysis results are also compared with the results given 390 

in Chatterjee et al. (2013), showing good agreement between the results and thus providing 391 

further validity of the numerical approach.  392 

For the softening cases, sections of the soil mass under the pipe slide along the activated slip 393 

surfaces (shear bands) because of the sustained applied load, which leads to an immediate pipe 394 

penetration.  During this stage, further shear bands are progressively developed in order to 395 

build up the overall soil resistance, after which the dissipation of excess pore pressures takes 396 

place.  Figure 8 illustrates this process, which for the cases where St = 2 and St = 10, the initial 397 

pipe penetration increases  to approximately 0.5D and 0.4D, respectively, over a dimensionless 398 

time interval up to Tv = 1.0e-12.  The pore pressure dissipation process then becomes noticeable 399 

at around Tv = 0.035 and finishes at approximately Tv = 70 and Tv = 100 for the less and more 400 

highly sensitive cases, respectively, resulting in corresponding consolidation settlements of 401 
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approximately 0.2D and 0.22D.  Note that for the less sensitive case the dissipation process is 402 

shorter (Tv = 70) compared to the highly sensitive case (Tv = 100), probably because of the 403 

localisation of excess pore pressures in multiple shear bands that intersect the free draining soil 404 

surface (Figure 5b and Figure 9b-top) in the less sensitive case.  In the highly sensitive case the 405 

shear bands tend to propagate deeper in the soil. 406 

 407 
Figure 8.  Consolidation settlements versus dimensionless time factor Tv 408 

As can be seen in Figure 8, the amount of immediate penetration is larger in the soil with St 409 

= 2 compared to the case with St = 10.  This may not be surprising because of the different soil 410 

deformation patterns and the developed shear bands, as observed in Figure 5.  A larger part of 411 

the soil mass remained elastic (intact) in the highly sensitive clay at the end of pipe embedment 412 

compared to the less sensitive clay.  Furthermore, the value of applied consolidation load, 413 

which was equal to the load experienced at the end of initial (undrained) embedment, was larger 414 

for the case with St = 2 (V/suD=3.37) compared to the case with St = 10 (V/suD=2.33). 415 

To conclude this example, the build-up of soil strength due to the reconsolidation process is 416 

presented by visualising the change of soil hardening parameter pc.  Figure 9 depicts these plots 417 

at three stages corresponding to non-dimensional time factors of Tv = 0.0, 0.035 and 100.  The 418 
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immediate penetration stages finish at Tv = 0.035 and the dissipation of excess pore pressures 419 

begins thereafter. During the process of immediate penetration, the zones of localisation of 420 

shear stresses continue to spread outside the previously developed slip surface in the case of 421 

the less sensitive soil (Figure 9b-top).  Whereas in the case of the highly sensitive soil, further 422 

plastic deformation appears to remain within the section of soil between the pipe and the active 423 

slip surface first developed (Figure 9b-bottom). 424 

               425 
 426 

                 427 
                   (a)                                                    (b)                                                      (c)                  428 

Figure 9. Contour plots of the soil hardening parameter pc: (a) Tv = 0.0; (b) Tv = 0.035; (c) Tv = 100 (St=10 429 
bottom row; St =2 top row) 430 

Simulation of full flow T-bar penetrometer 431 

In this example simulation of a rigid T-bar of diameter D continuously penetrated into a soil 432 

layer by applying prescribed displacements is presented.  Due to symmetry only one-half of 433 
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the model was represented in the numerical simulation, as depicted in Figure 10.  Similar to 434 

the previous example, the soil domain was discretised using 6-noded plane strain triangular 435 

elements involving three Gauss points.  The minimum size of the smallest elements 436 

surrounding the surface of the penetrometer was taken as 0.02D and the element size increased 437 

gradually towards the domain boundaries. 438 

The bottom boundary was fixed in both the horizontal and vertical directions while the 439 

lateral boundaries were only fixed in the horizontal direction.  Moreover, all boundaries were 440 

considered undrained during the penetration process and only the top boundary was changed 441 

to the drained condition throughout the consolidation phase.  A nominal surcharge of 2 kPa 442 

was applied initially at the mudline to avoid numerical difficulties due to zero mean effective 443 

stress.  The interface between soil and the T-bar was assumed to be frictionless because low 444 

permeability of the soil effectively imposes undrained conditions and so there would not be 445 

significant tangential stresses at the interface. 446 

The T-bar was first penetrated at a constant rate from the soil surface to a target depth of 447 

9.4D, followed by large amplitude cyclic sequences, undertaken with displacement control, 448 

interspersed with consolidation periods, during which the T-bar was held at a fixed position.  449 

The displacement-controlled cycles involved moving the T-bar vertically up and down 450 

repeatedly over a range of 4D for N = 3.5 cycles in episode 1 and N = 2 cycles in episode 2 451 

(Fig. 10a).  The target depth of 9.4D provided enough clearance between the mesh boundaries 452 

and the lower and upper apex of the T-bar, before proceeding to the cyclic sequences.  It also 453 

enabled observation of pore pressure generation and dissipation patterns at shallow and deep 454 

penetration depths.  The cyclic displacement range (4D) was large enough to avoid overlapping 455 

between the flow mechanisms at the midpoint of the cyclic range and at the highest (or lowest) 456 

position.  Zhou and Randolph (2009) recommended a minimum cyclic range of 3D to avoid 457 
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overlapping flow mechanisms and this was also supported by field evidence in highly sensitive 458

clays, suggesting ranges exceeding about one diameter to be sufficient (Yafrate et al., 2009). 459

The soil constitutive parameters adopted in this problem are the same as those used in the 460

previous example except that the soil sensitivity parameter was considered as St = 5 and the 461

soil fabric anisotropy was switched off. 462

 463
                                             (a)                                                                                                   (b) 464

Figure 10. (a) T-bar simulation process; and (b) FE model adopted for the simulation 465

Soil resistance and deformation pattern 466

For the adopted soil parameters, the initial undrained shear strength in plane strain is 467

calculated as su0 = 0.8+2z, where z is the depth from the soil surface in metres.  Herein we 468

assume that su0 is the initial intact (structured) shear strength independent of the assumed 469

bonding parameter .  In reality, soils with more bonding should have higher (intact) undrained 470

shear strengths.   471

Nevertheless, because the value of su0 increases with depth, the soil penetration resistance 472

also continues to increase with the penetration depth (Figure 11a) and does not converge to a 473

steady value, as observed in some field and centrifuge T-bar tests (e.g., Hodder et al. 2013).   474
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However, if the soil resistance is normalised by the undrained shear strength at the 475 

corresponding penetration depth, a steady normalised soil resistance is eventually obtained, as 476 

shown in Figure 11b.  The intact initial undrained shear strength corresponding to the lower 477 

apex of the T-bar was used for the normalisation of soil resistance in Figure 11b.  It is noted 478 

that the steady state value is achieved at a shallower penetration depth in sensitive clay (1.1D) 479 

compared to the non-softening case attained at approximately 1.95D. 480 

Sometimes the deep failure mechanism is associated with steady soil resistance (White et al. 2010), 481 

which might be achieved theoretically if a uniform shear strength is assumed for the entire soil profile.  482 

The link between the deep failure mechanism and steady normalised soil resistance was actually 483 

observed in this analysis. Figures 12 and 13 show that the depth at which the failure mechanism changes 484 

from surface heave to a deep (flow-round) mechanism is shallower in the sensitive clay  (w/D = 1.1) 485 

than the non-sensitive case (w/D = 1.95).  These transition depths correspond to the situations where 486 

the normalised soil resistance converges to a steady value (Figure 11b) and the full diameter of the T-487 

bar comes into contact with the soil (Figures 12c & 13c).   488 

       489 
Figure 11. (a) Soil resistance profile (kN); (b) Normalised soil resistance profile 490 
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The soil deformation pattern and the developed shear bands are depicted in Figures 12 & 13 491 

for the sensitive and non-sensitive cases, respectively.  A curvilinear shear band is initially 492 

formed ahead of the advancing T-bar and extends to the soil surface, representing the shallow 493 

failure mechanism (Figures 12a & b and 13a & b).  Rapid softening of the material close to the 494 

T-bar provides a significantly compact failure mechanism in sensitive soil compared to a non-495 

softening soil.  The width of the mechanisms for each case are approximately 0.90D and 1.5D, 496 

respectively, as measured from the centreline.  Once the first shear band intersects the soil 497 

surface, another distinct localised shear zone is formed around the T-bar which continues to 498 

grow with further penetration and eventually intersects the soil surface (Figures 12b & 13b).  499 

Consequently, the soil flows around and over the T-bar leading to a deep failure mechanism, 500 

in which soil backfilling and complete burial of the T-bar occur.  This happens at the 501 

penetration depth of w/D = 1.1 in the sensitive soil case, with no creation of a trapped cavity 502 

(Figure 12c), whereas in the case of an insensitive soil a deep mechanism occurs at an 503 

embedment depth of w/D = 1.95 (Figure 13c) and it contains a trapped cavity.  The larger 504 

dimension of the initial soil failure mechanism above the T-bar in the latter case compared to 505 

the former case led to the creation of the trapped cavity.  It could be sustained because of the 506 

suction pore pressure changes and the nonzero undrained shear strength predicted by the 507 

constitutive model.  Furthermore, the generation of suction in the soil surrounding the trapped 508 

cavity marginally increases the undrained shear strength which then prevented the shear band 509 

from intersecting the boundary of the trapped cavity (Figure 13d) so that it could remain stable 510 

during the analysis process. 511 

Peuchen and Terwindt (2016) noted the significance of the partial flow of soil on the 512 

interpretation of in situ T-bar measurements.  They also noted that the length of the zone with 513 

a trapped cavity depends on the soil strength and over-consolidation ratio; it may exceed 1.0 m 514 

for standard miniature T-bars. 515 
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The creation of a trapped cavity was also observed by Tho et al. (2012) and Wang et al. 516 

(2020), suggesting that its formation and evolution depend on the value of the normalised 517 

undrained shear strength parameter (su/ D).  Through some centrifuge tests and numerical 518 

analyses of T-bar, Wang et al. (2020) showed that for uniform clay deposits with su/ D ≤ 1, 519 

the span of a trapped cavity is negligible and thus a flow-round (deep) failure mechanism 520 

directly follows the initial (shallow) failure mechanism; for deposits with 1< su/ D ≤ 8.3, a 521 

trapped cavity is created and then closes at further penetration; whereas for su/ D > 8.3 closure 522 

of the trapped cavity does not occur.  The value of the initial undrained shear strength in this 523 

study (su0 = 0.8+2z) implies that the value of the undrained shear strength at the lower apex of 524 

the T-bar satisfies the criterion su/ D ≤ 1 up to a penetration depth of 0.2D for the non-sensitive 525 

case, suggesting that a cavity should be created.  However, for the sensitive case, the 526 

corresponding depth range satisfying the above criteria is proportionately larger because of the 527 

rapid soil softening and loss of soil structure around the T-bar.  In this case soil backflow, 528 

which is quite shallow and contained in that depth range of interest, should not produce a 529 

trapped cavity. 530 

              531 
                                  (a)                                             (b)                                             (c) 532 

Figure 12. Soil deformation pattern in sensitive clay: (a) & (b) shallow failure mechanism; (c) deep failure 533 
mechanism (the scale represents incremental shear strain) 534 
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                       535 
                       (a)                                     (b)                                   (c)                                      (d) 536 

Figure 13. Soil deformation pattern in non-sensitive clay: (a) & (b) shallow failure mechanism; (c) & (d) deep 537 
failure mechanism with trapped cavity (the scale represents incremental shear strain). 538 

Soil softening and degradation during cycling 539 

The process of soil softening during the initial penetration and the cyclic displacement 540 

sequences in the sensitive soil are depicted in Figure 14 that show plots of the soil structure 541 

parameter ( ).  The number of cycles, denoted by N, starts from zero indicating the initial 542 

penetration followed by Episode-1 (N = 1 to 3.5) and Episode-2 (N = 4 to 5), between which 543 

soil reconsolidation was allowed.  According to Figure 14, the partial softening induced during 544 

the initial penetration (N = 0) affects a region extending up to 1.5D, laterally, as measured from 545 

the centreline.  The width of the fully remoulded region (blue colour) gradually increases with 546 

penetration depth because of the accumulation of remoulded soil above the T-bar due to the 547 

flow of soil around the T-bar.  This soil softening caused approximately 67% decrease in soil 548 

resistance, as was shown previously in Figure 11.  In the process of repeated displacement 549 

cycling, the extent of the fully remoulded region increases because the width of the failure 550 

mechanism expands with cycling.  The failure mechanism as indicated by the incremental shear 551 

strains (corresponding to a vertical displacement increment of du = 0.01D) captured at the 552 

middle of the cyclic range is shown in Figure 15.  The failure mechanism expands from 553 

approximately 0.84D to 0.90D during the 3.5 cycles of Episode-1 with a decreasing rate as the 554 
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number of cycles increases.  Accordingly, the width of the fully remoulded region within the 555 

cyclic range increases slowly as the material at the edge of the mechanism is gradually softened.  556 

The mechanism also grows in size during the subsequent cycles. 557 

It is noteworthy that extraction and penetration of the T-bar during the cyclic sequences did 558 

not involve a cavity under or above the T-bar in this case. 559 

The profile of normalised T-bar resistance during the cyclic sequences is depicted in Figure 560 

16 for both episodes.  It is observed that the soil resistance decreases dramatically within the 561 

early cycles (Episode-1) but then continues to reduce in an asymptotic manner with further 562 

cycling.  The soil resistance decreases a further 42% at the end of Episode-1, after which the 563 

generated excess pore pressures from the preceding cycles were allowed to fully dissipate 564 

before proceeding to the second round of cycles in Episode-2. 565 

                                         566 
            N = 0                    N = 1                  N = 3                N = 4                   N = 4.5                  N = 5     567 

Figure 14. Soil softening during cyclic sequences: Episode-1 (cycles 1 to 3.5); Episode-2 (cycles 4 to 5) 568 
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                                569 
            N = 1                                 N = 3.5                              N = 4                                  N = 5 570 

Figure 15. The width of (incremental) failure mechanism at the middle of the cyclic range (du = 0.01D) 571 

Figure 16 reveals that the soil resistance increased by a factor of 1.4 upon the reconsolidation 572 

of soil.  This enhanced soil resistance leads to a marked increase in the size of the failure 573 

mechanism as observed in the first cycle N = 4 of Episode-2 (Figures 14 & 15).  The size of 574 

the failure mechanism increased by 18% during the first one and a half cycles (N = 4-5) 575 

following the soil reconsolidation, whereas it was an increase of about 7% throughout the entire 576 

cyclic sequence of Episode-1.  A similar trend is then detected in Episode-2 in terms of soil 577 

strength degradation and remoulding due to cycling of the T-bar.   578 

It is observed that the reconsolidation process has two important consequences: increasing 579 

the soil hardening parameter (as also shown in the previous example) and subsequent expansion 580 

of the failure mechanism.  The latter causes further increase in the zone of influence of the 581 

loading/unloading sequences.  Therefore, although the strength degrades within each episode, 582 

the regain from consolidation can be significant.  Repeated phases of shearing, remoulding, 583 

and reconsolidation increase the potential for soil strength recovery.  Accordingly, a ‘cyclic 584 

strength’ parameter that reflects both strength loss and strength recapture during the 585 

remoulding and reconsolidation processes should be evaluated for practical purposes. 586 
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 587 
Figure 16. Profile of (normalised) soil resistance during cyclic sequences; episode 1: cyclic sequences following 588 

initial penetration; episode 2: cyclic sequences following the consolidation process (after episode 1). 589 

Two important practical examples for which the effect of reconsolidation is increasingly being 590 

recognised and considered in design include the soil strength and axial friction beneath on-591 

bottom pipelines (White et al., 2017) and catenary riser pipes.  However, the methods to deal 592 

with them are mainly limited to approximate analytical or experimental frameworks and are 593 

usually restricted to clays of low sensitivities, whereas natural offshore clays are typically more 594 

sensitive. 595 

Conclusion 596 

This study has described a robust numerical tool for the analysis of a wide range of offshore 597 

geotechnical problems involving extremely large deformations and varying soil strength due 598 

to repeated loading/unloading, soil softening and reconsolidation.  The numerical scheme was 599 

based on the Particle Finite Element Method (PFEM) combined with an advanced anisotropic 600 

structured constitutive soil model.  The method was implemented in a commercial FE software 601 
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package, Abaqus, and was successfully applied to the analysis of a pipe-seabed interaction 602 

problem and the cyclic T-bar test. 603 

It was shown that under undrained conditions or conditions of limited pore fluid flow, shear 604 

bands are often regions of high excess pore pressures in NC clays.  However, for heavily over-605 

consolidated clays or dense sands, shear bands may have small excess pore pressures but this 606 

aspect was not explored in this study.  Even though the localisation of excess pore pressure did 607 

not seem to be as marked as that for shear strains, such localisation could significantly change 608 

the form of the pore pressure distribution and can result in decreased consolidation times, due 609 

largely to faster drainage along the shear bands that intersect free draining surfaces.  Moreover, 610 

large elastic regions were observed for highly sensitive clays as a direct consequence of intense 611 

soil softening. 612 

The analysis of a cyclic full flow penetrometer test showed that most degradation of the soil 613 

strength occurs during the initial penetration and during the first few cycles of displacement.  614 

Reconsolidation of the soil resulted in substantial strength regain and the extent of the softened 615 

zone increased markedly due to an expanded failure mechanism.  Furthermore, the capability 616 

of the numerical scheme in modelling the entire penetration process, including surface 617 

penetration, revealed the fact that soil softening upon the insertion of a T-bar causes a compact 618 

failure mechanism around the T-bar and leads to the development of a deep failure mechanism 619 

at much shallower penetration depths, whereas soils that do not soften engaged a deeper failure 620 

mechanism at a larger penetration depth and usually involve a trapped cavity above the T-bar. 621 

The soil model used in this study considered the effects of soil structure and de-structuring.  622 

Further improvements are required to incorporate the effects of loading rate and possibly the 623 

regaining of soil structure during long-term consolidation. 624 
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